PREDICTING THE PERFORMANCE OF STRUCTURES
IN REGIONS OF HIGH SEISMICITY

by

Joseph Penzien
Professor of Structural Engineering
University of California, Berkeley

SUMMARY

The complete seismic design process of certain important structures
based on time-history dynamic analyses is traced from the initial pre-
liminary design stage through the final stage of predicting lifetime
performance to strong motion earthquakes. Emphasis is placed upon (1)
selection of sound design procedures, (2) consideration of field and
laboratory evidence, (3) application of present day knowledge, and (4)
recognition of uncertainties involved in the complete process. It is
concluded that meaningful predictions of performance can be made only
when formulated in a probabilistic sense.

INTRODUCTION

In recent years, the availability of high speed digital computers
has dramatically changed methods and procedures used by practicing en-
gineers in designing certain important structures such as nuclear power
plants and high rise buildings. Basic knowledge gained from analytical
and experimental research and from field investigations can now be ap-
plied effectively in developing new and improved seismic resistant
designs.

While this change has obviously been beneficial to all concerned,
it has raised many questions causing confusion in both the research
community and the practicing profession. The author of this paper is
of the opinion that many of the problems involved can be brought into
much better focus if nondeterministic concepts are used in interpreting
research results and in carrying out the design process. At least much
of the confusion can be diminished by formally introducing concepts of
probability.

It is therefore the main purpose of this paper to trace through the
design process of certain important structures based on three-dimensional
time-history dynamic analyses where uncertainties are introduced and to
point out how they influence predictions of lifetime performance.

This process, as shown in Fig. 1, consists of eight stages (1) preliminary
design, (2) three-dimensional ground motion definition, (3) mathematical
modelling of foundation-structure system, (4) three-dimensional dymamic
time-history analysis, (5) interpretation of the results of dynamic
analysis in terms of prototype behavior, (6) redesign of structure as
needed, (7) assessment of structural safety as designed, and (8) assess-
ment of structural safety as built., The order of these stages has been
selected for systematic discussion but they should not be considered
independently of each other. The feedback loop from stage No. 6 to stage
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No. 3 of the design process is needed only when the design changes
in stage No. 6 are significant.

Obviously, this design process is much too complex to be applied
to most structures where it 1s sufficient to use standard code design
procedures (stage No. 1, Fig. 1). It should be recognized however that
even for these cases, the methodology and concepts presented are help-
ful to the decision making process leading to good seismic resistant
designs and to the assessment of safety against damage or possible
collapse. '

PRELIMINARY DESIGN

Preliminary design is one of the most important stages during the
entire design process as decisions made regarding choice of materials
and architectural layout often are major factors affecting the safety
and lifetime performance of a structure under seismic conditions. To
illustrate this point, several examples will now be congidered.

First, let us examine undesirable effects which can result from
an irregular layout of a building. Figure 2 shows two modern bank
buildings loacted in Managua, Nicaragua, which experienced the 1972
earthquake . on the right side, one can observe the 18-story reinforced
concrete Banco de America building which is very regular in geometric
form. This desirable shape can be seen in the vertical section and
typical floor plan of Figs. 3 and 4, respectively. Although this
building suffered some structural and nonstructural damage, its large
symmetrically-located, coupled shear walls limited this damage to levels
significantly below those observed in more flexible structures. The
reinforced concrete Banco Central building on the other hand, shown to
the left in Fig. 1, suffered heavy damage. This building had windows
on three sides with the fourth side closed by masonry infill walls as
shown to the right in Fig. 5. These infill walls combined with the
reinforced concrete shear walls around the elevator shafts and stair-
wells as seen in Fig. 6 introduced an extremely large eccentricity into
the building which for transverse excitation will cause large torsiomal
response to develop. Obviously, irregular forms of this type should be
avoided whenever possible. ’

Another example of an dirregular bullding which suffered heavy
damage during an earthquake is the Olive View Hospital building shown
schematically in an elevation view in Figs. 7 and 8(2), During the 1971
San Fernando, California, earthquake, part of the first floor extending
outward from the main building collapsed and the first and second stories
suffered very large drift deformations (up to 30"). Both of these stories
were of the "soft story" design since the shear walls in the upper
stories terminated at the second floor level. The upper stories above
the second floor level suffered only minor damage during the earthquake.

An examination of the structural design of the 0live View Hospital
building reveals large discontinuities in strength, stiffness, and duc-
tility of the columns and girders as shown in Fig. 7. These discontin-
uities combined with similar discontinuities produced by termination of
the upper story shear walls at the second floor were influencing



factors affecting the observed performance of the overall structure.
Another significant factor influencing performance was the introduction
of a large mass into the system through the placement of a large volume
of soil on the first floor at garden level, Fig. 8. Clearly, unnecessary
masses and discontinuities of the type mentioned here should be avoided
in the preliminary design whenever possible.

A second type of architectural layout which can easily result in
poor seismic performance unless special precautions are taken is that
type employing deep spandrel beams and short columns as illustrated in
Figs. 9 and 10. TFailures in this type of structure normally occur in
the columns where high shear forces develop as a result of having
short column lengths. Since failures of this type are very brittle
in nature, high strength must be provided in the structure to insure
proper safety against heavy damage or collapse. When selecting this
type of structural form, it is well to recall the heavy damage suffered
by school buildings of this type during the 1968 Tokachi-Oki earthquake
in Japan(3). One of these school buildings was reviewed and found to
satisfy the earthquake requirements existing at that time for California
schools.

Hopefully, these examples are sufficient to stress the importance
of considering seismic performance even in the early preliminary design
phase when selecting the architectural layout. Obviously, it is desir-
able for the structural engineer to work closely with the architect dur-
ing this phase of the overall design process. Once decisions on archi-
tectural layout have been completed, the structural engineer will com-
plete the preliminary design phase by sizing and detailing all structural
components using equivalent static seismic loads and the elastic design
philosophy in compliance with building code provision. In carrying out
this phase, the designer should detail the structure for good post-yield
performance.

THREE-DIMENSIONAL GROUND MOTION EXCITATION

To carry out three-~dimensional time-history dynamic analyses dur-
ing the design of an important structure, free surface ground motions
must be defined for the site. While ground motion at a point actually
has six components 4 » 3 translational and 3 rotational, it is usually
sufficient to consider only the three translational components.

A very simple approach to defining these three components would be
to assume that certain recorded ground motions of a past earthquake are
representative of the future site ground motions to be defined, The
three accelerograms recorded during the Taft, California, earthquake of
1952 as shown in Fig. 11 are often normalized to the desired intensity
level and used for this purpose. One can, of course, question this
simple approach as two recorded accelerograms, even for the same site
location, often have quite dissimilar characteristics,

Another approach to defining the three translational components
of motion is to generate synthetic accelerograms which are derived
from a set of prescribed response spectrum curves 5:0) | Two sets of



smooth response sgpectrum curves (normalized to lg peak acceleration)
now commonly used for this purpose are shown in Fig. 12(7),  These
smooth curves which were obtained by a statistical analysis of actual
response spectrum curves for many past recorded accelerograms represent
mean-plus-one standard deviation levels. Two synthetic accelerograms
derived from the smooth design response spectrum curves of Fig. 12 are
shown in Fig. 13. The actual response spectrum curves for the synthetic
accelerogram of Fig. 13 representing horizontal motion is shown by the
sollid curves in Fig. 14 where they can be compared with the prescribed
design spectra. The differences between these two spectra represent
numerical inaccuracies introduced when generating the synthetic ac-
celerogram.

A third approach to defining the three translational components
of motion is to use the stochastic model(8)

ax(t) = g (t) bx(t)
ay(t) = ¢(t) by(t) 1)
az(t) = ¢ (t) bz(t)

where ¢(t) is a prescribed deterministic intensity function which con-
verts stationary random processes bx(t), by(t), and bz(t) to nonsta-
tionary processes a,(t), a,(t), and ay(t), respectively. This approach
has the distinct advantage that a complete ensemble (or family) of pos-
sible accelerograms can be generated for each component of motion.

When generating accelerograms, one is immediately faced with the
question of whether or not the separate components should be correlated
with each other statistically and, if so, to what degree should they be
correlated, In a recent paper, the author discusses this question and
shows that statistically correlated ground motions defined by Egs. (1)
can be transformed from the x, y, z orthogonal coordinate system to an
x', y', 2' orthogonal coordinate system in which the components a,, (t),

, (t), and azu(t) are statistically uncorrelated. This transformed
system defines a set of principal axes with the mean square intensities
of ground motions having maximum, minimum and intermediate values along
the major, minor and intermediate axes, respectively. In mathematical
terms, the transformed components of motion are related to the original
components through the relation

ay () a_(t)
agr(e) = a a, (t) (2)
a . (t) a,(t)

where a is the orthogonal transformation matrix. Defining covariance
terms
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It is easily shown that these two covariance matrices are related
through the orthogonal transformation matrix equation

u'=a pa ' (5)
In other words, the covariance matrix transforms exactly like the three-
dimensional stress matrix; thus, demonstrating the existence of princi-
pal axes. It has been found that the directions of the major and minor
principal axes often correlate strongly with direction ‘to the reported
epicenter and the vertical direction, respectively. Figure 15 shows
directions of the major principal axis for different time intervals
ty to tp during the May 16, 1968 Tokachi-Oki, Japan, earthquake. The
lengths of the solid arrows in this figure represent mean square inten-
sities of the major principal motion over the corresponding time inter-
vals. Clearly, the correlation of major principal direction with epi-
center direction, as shown by the dashed arrow, is good in this case.

The above transformation and resulting correlation suggest that
components of ground motion, as generated, be statistically independent
and that the major axis of motion be directed towards the expected epi-
center and the minor axis be directed vertically. One may, of course,
wish to consider a variety of directions for the prescribed motions cor-
responding to critical axes of the structural system under consideration,
in which case the principal uncorrelated ground motions should be trans-
formed to the desired set of axes by the corresponding orthogonal co-
ordinate transformation. The new set of motions will then be cross
correlated properly.

In the above discussion, no mention was made of the influence of
local soll conditions on the characteristics of free field surface
ground motions. This influence can, of course, be introduced into the
above procedures for generating three-dimensional components of ground
motion provided it can be quantified in a realistic way. If there is
sufficient statistical evidence to warrant it, one can define different
smooth design response spectrum curves for different soil conditions;
thus reflecting this influence on the generated synthetic accelerograms.
Likewise, one can use different filter parameters in the stochastic

model, to reflect this same influence on the ensemble of accelero-
grams obtained. )
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Deterministic analyses have also been made to attempt to quantify
the influence of soll conditions on the free surface ground motions.
Most of these studies have used the one-dimensional shear beam model
shown in Fig. 16(9),  This shear beam is usually modelled linearly but
with the elastic and viscous damping properties adjusted to reflect
mean stiffnesses and total energy absorption (hysteretic + viscous),
respectively, consistent with the shear strain levels developed, The
horizontal acceleration ap(t) representing bedrock motion is applied at
the bagse of the shear beam and the resulting horizontal surface accelera-
tion ay(t) is determined from a time-history dynamic analysis. If the
soil extends uniformly over a large horlizontal distance and if the bed-
rock is indeed moving in one horizontal direction as a rigid body, one
can expect reasonable results from such a model. However, significant
departures from these ideal conditions are often present; therefore, the
model can be seriously questioned. For example, out-of-phase components
of horizontal and vertical motions at point ¢ over those present at
point b have an influence on the horizontal surface motions at d. If
these out-of-phase components are significant in a distance bc of the
same order of magnitude or less than the depth of the soil layer, then
the rigid horizontal bedrock motion assumption is no longer valid. It
would be most helpful in studying this problem if cross correlations of
the components of motions at points b and ¢ were known as a function
of the distance bc separating them.

It should be recognized that considerable difrerences in points of
view exist among those who attempt to quantify the influence of local
soil conditions on the characteristics of free surface ground motions.
Even those adopting similar analytical procedures obtain a wide range
of predicted response spectral values for similar site conditions and
seismic intensity. Figure 17 is intended to depict this range of values
in a qualitative sense only.

From a deterministic point of view, a wide range of predicted
spectral values for surface motions under similar conditions may be
disturbing. However, in view of the fact that large variations in the
response of nonlinear systems can cccur with small changes in model
parameters or in excitation characteristics, this wide range is accept-
able from a nondeterministic point of view. The difference being that
now a certain probability of occurrence must be assigned to a given
spectral value. Stochastic modelling is therefore attractive from this
point of view as the variations are formally recognized in a probabilis-
tic sense.

MATHEMATICAL MODELLING OF FOUNDATION - STRUCTURAL SYSTEM

To carry out a three-dimensional dynamic analysis, an appropriate
mathematical model must be established for the complete foundation-
structural system. This model should realistically characterize the
mass distributions, force-deformation relations, and energy absorption
characteristics of the individual elements making up the total system.

Modelling of mass distributions is easily accomplished using the
lumped mass procedure indicated by the building model shown in Fig. 18.



Approximating distributed masses in this manner causes no difficulty
in obtaining realistic results from a dynamlc analysis.

Unfortunately, modelling of the force-deformation relations of
individual elements is not so easily accomplished. Elements having
essentially one mode of inelastic deformation in its overloaded state
are often modelled using an elasto-plastic hysteretic relation of the
type shown in Fig. 19. Since this model does not reflect such phenomena
as strain hardening, stiffness degradation, and strength degradation,
other more refined forms such as the bilinear and trilinear hysteretic
models having degradation properties are often used. [Llements having
more than one mode of inelastic deformation in their overloaded condition
are, of course, considerably more difficult to model realistically. One
model which has been used for prismatic elements subjected to yieldin
due to biaxial bending and axial deformation is that shown in Fig. 20%10).
This model assumes elastic behavior for points in the three-dimensional
force space lying inside the yield surface but assumes yielding of the
elasto~plastic type for points which lie on the surface or move along
the surface. Since force components represented by points outside the
yield surface are not permitted by this model it 1s essentially a three-
dimensional form of the elasto-plastic hysteretic model shown in Fig. 19.
Obviously, extensions of this three-dimensional model to reflect strain
hardening, stiffness degradation, and strength degradation are difficult
to define realistically. Modelling of shear walls and certain other ele-
ments are even more difficult to model in their post yield state under
cyclic conditions.

Obviously to develop realistic mathematical models of structural
elements, experimental data on their dynamic force-deformation charac-
teristics must be obtained. The Earthquake Engineering Research Center
at the University of California, Berkeley, has for several years had an
active experimental research program aimed at providing this information.
Figure 21 shows a reinforced concrete element being subjected to Eure
flexure in its central region under controlled cyelic conditions( l).
With good detailing of the reinforcing steel, excellent post yield per-
formance can be achieved as shown by the large stable hysteresis loops in
Fig. 22. Figure 23 shows a relatively short reinforced concrete element
under conditions of flexure and high shear(12) | Ag shown in Fig. 24,
the resulting load-deflection hysteresis loops have a 'pinched" form
due to shear deformations and bond failures occurring in the damaged
regions on each side of the column stubs. The energy absorption capa-
city represented by areas under the hysteresis loops is therefore greatly
reduced. While this particular element shows considerable degradation
of stiffness, its strength is well maintained under repeated cycles of
loading. Figure 25 shows a reinforced concrete element subjected to
- flexure, shear, and high axial load. A failure pattern for this type of
specimen, when subjected to a constant axial load equal to 75 percent
of the balanced point load and cycled under flexure and shear, is shown
in Fig. 26, Because of the presence of the axial load, the lateral force-
displacement hysteresis loops, Fig. 27, show not only an appreciable de-
gradation of stiffness but also a rapid degradation of strength. Figure
28 shows a spandrel wall beam-column element under combined loading with
the cyclic loading taking place in the transverse direction of the column.
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When standard ties are used in the column a very brittle failure occurs

as shown in Fig. 99CLl3), TE, however, a closely spaced spiral tie is

used throughout itg length and on into the spandrel beams, ductile be-
havior is achieved as shown in Fig. 30. 1In this case, the. concrete out-
side the tie spalls off completely; however, the contained concrete within
the spiral tie remains effective even under large deformation cyclic con-
ditions. This behavior illustrates the highly beneficial effect received
through effective containment of the core concrete. Obviously, selection
of reinforcement details has a major influence on the force-deformation
characteristics. TFigure 31 shows a masonry wall element under combined
loading(14). The large coil springs shown at the top of this figure pro-
vide a constant vertical load representing dead load conditions in the
prototype structure while the hydraulic actuators provide cyclic trans-
verse loadings simulating seismic conditions. A typical shear failure
pattern for this type of wall element having vertical edge reinforcing
only is shown in Fig. 32 and a typical lateral force-displacement relation
is shown in Fig. 33. From the failure pattern, it is clear that vertical
and horizontal reinforcing distributed throughout the element would im-
prove its force-deformation characteristics considerably,

From the above brief discussion on experimental behavior, it is
clear that structural detailing, structural sizing, and form of combined
loading are all important factors which must be considered when select-
ing appropriate mathematical models for structural elements. Also,
interaction of these primary elements with secondary architectural ele-
ments should not be overlooked. For example, the sunshades shown in
Fig. 34 greatly shortened the effective length of the column resulting
in a brittle type failure. Keeping in mind all of these factors, it is
quite evident that realistic mathematical modelling of complete struc-
tural systems is a most difficult task, Therefore, it is reasonable
to assume that large variations often occur between the force-deformation
characteristics of the mathematical model and the force-deformation
characteristics of the prototype structure. Hopefully, continued re-
search and improvements in seismic code provisiocns can reduce these varila-
tions.

Let us now turn our attention to the energy absorption characteris-
tics of structural elements which are so important to mathematical model-
ling when the dynamic excitation is highly oscillatory as in the case of
earthquakes., Unfortunately damping characteristics are the least known
of all physical characteristics which are important to dynamic response
calculations. For large cyclic excursions into the inelastic range,
hysteretic forms of damping become dominant. This form of damping de-
pends entirely upon the hysteretic force-~deformation relations selected
for individual structural elements. For cyclic oscillations in the
elastic range, energy absorption is still present. While this form of
damping usually is both velocity and displacement dependent and often
is nonlinear in form, it is standard practice to model such damping
assuming the linear viscous form. The coefficients assigned to this form
of damping usually consist of two parts, one part proportional to the
corresponding mass coefficients and one part proportional to the corres-
ponding stiffness coefficients (Rayleigh damping) and are usually assigned
numerical values consistent with damping ratios believed to be proper for
the lower modes of vibration. Since experimental evidence often shows
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these ratios to be nonlinear with vibration amplitude, values of the
coefficients are selected to represent damping present at amplitudes
between working stress levels and yield stress levels, When experi-
mental evidence is lacking, considerable judgment must be relied upon

in assigning numerical values to these coefficients. Once numerical
values have been assigned in this manner, one must decide whether or

not the corresponding velocity dependent forces should be permitted

to act throughout the elastic and inelastic ranges of deformation. Since
no sound justification can be given for permitting these forces to de-
velop in proportion to velocities associated with the inelastic rates of
deformation, it is fairly common practice in setting up mathematical
models to change the stiffness proportional damping in the same manner

the stiffnesses themselves change due to inelastic deformations. In

other words, to the structural analyst, this means keeping the stiffness
proportional damping matrix proportional to the instantaneous stiffness
matrix at all times during the periods of inelastic deformation. Based on
these comments, it is apparent that large variations can occur between the
damping characteristics of the mathematical model and the prototype struc-
ture,

Finally to complete this discussion on mathematical modelling, a few
words should be stated regarding the modelling of foundation-structure
interaction which often has a significant influence on dynamic response,
particularly in the case of stiff structures on moderate to soft foundations.
Considering first those structures supported on spread footings or mat
foundations, three basic forms of foundation modelling have been used (1)
inserting discrete springs and dashpots between the structure and the soil
foundation with the spring constants determined from elastic static half-
space theory and the dashpot coefficients assigned values to represent
material damping in the soil, (2) inserting discrete springs and dashpots
between the structure and soil foundation with the spring constants and
dashpot coefficients being frequency dependent in accordance with the elastic
or viscoelastic dynamic half-space theory(15), and (3) finite element re-
presentations of a body of soil at the base of the structure 16) | If the
overall model of the foundation-structural system is nonlinear in form,
dynamic analyses must be carried out in the time domain as a frequency do-
main solution is not possible. However, if the complete model is linear
in form, the analysis can be carried out in either the time domain or the
frequency domain, except for the second basic form which has frequency de-
pendent parameters. In this case the solution must be carried out in the
frequency domain. Unfortunately, inadequate investigations have been made
to correlate the results obtained from these three basic forms. It is
the author's opinion however that too often a two-dimensional plane strain
finite element model is used when the structural loads are definitely trans-
mitted into the foundation in a three-dimensional manner. If the horizontal
base dimensions of the structure are similar in two orthogonal directions,
the three-dimensional form of load transmission should be recognized and
be modelled in some representative form.

Realistic modelling of interaction for structures supported on pile
foundations is even more difficult than the above case of structures
supported on spread footings or mat foundations(l7§. It is clear therefore
that considerably more research is needed to develop reliable methods.
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THREE-DIMENSTONAL DYNAMIC ANALYSES

Three~dimensional dynamic analyses of lincar systems having constant
structural parameters can be carried out in either the time domain or
the frequency domain(18), Most analyses of this type carried out in the
past have used the time domain approach. Recently however the frequency
domain approach has become competitive due to the development of Fast
Fourler Transform techniques. If frequency dependent parameters are
present in the mathematical model, a time domain solution is not possible,
but the frequency domain approach can be used without difficulty. Regard-
less of the form of solution, linear systems can be analyzed with a high
level of confidence as to accuracy of results. Nonlinear systems, on
the other hand, cannot be analyzed with this same high level of confidence.
Experience shows that it is most difficult to get good correlations be-
tween time-history predictions of response and corresponding experimen-
tally measured results. Figure 35 shows a simple two-story reinforced
concrete structure being tested on the University of California, Berkeley,
shaking table. Correlation studies carried out in this investigation
verify the above statement 19), similar difficulties, with even greater
discrepancies, have beea §xperienced in testing the three-span bridge
model shown in Fig. 36 ¢ 0 . It has become evident that small differences
in model form or in model parameters can have a large effect on dynamic
response.

Let us now turn our attention to predicting maximum dynamic response
of fixed mathematical models to earthquake excitations. First consider a
viscously damped single degree of freedom system using three model types
(1) linear, (2) elasto-plastic, and (3) stiffness-degrading L, Subject-
ing these models, with the elastic period of vibration set at 2.7 seconds,
to stationary filtered (Kanai filter;® g 0.6, wg = 15.6 rad/sec) white
noise excitation of fixed intensity (S, = 0.0516 ft2?/sec3), the probability
distribution function for maximum relative displacement can be approximated
in each case by a straight line on Gumbel (Extreme Type I) plots as shown
in Fig. 37. Curves 1, 2, and 3 represent elastic, elasto-plastic, and -
stiffness-degrading models, respectively, when the viscous damping ratio
is set at 2 percent. Curves 4, 5, and 6 are the corresponding curves when
the viscous damping ratio is set at 10 percent. Relative displacement can
be expressed in terms of ductility factor for the non-linear models and
the probability distribution can, for all cases, be expressed in terms of
return period measured in number of earthquakes. The significant features
of the distributions in Fig. 37 are the following: (1) The most probable
maximum displacements at 0.33 on the probability distribution scale are con-
siderably greater for those models having 2 percent of critical damping
than for their corresponding models having 10 percent of critical damping;
however, these values vary little from one model to another. (2) The
standard deviations of maximum displacement are considerably larger for
the elasto-plastic and stiffness-degrading models than for their corres-
ponding linear models and are appreciably larger for the elasto-plastic
models than for their corresponding stiffness-degrading models. (3) In-
creasing the viscous-damping ratio increases the standard deviations of
extreme value response for each model type. What is more significant to
note in this discussion is that maximum response of nonlinear systems have
very large variations. These variations are caused by differences allowed
in the phase angles of the harmonics present in the ground motion excitations.
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Keep in mind however that these differences do not change the intensities
of the excitations. TIf the maximum intensity of excitation to be ex-
perienced by the single degree of [reedom system is also treated as a
random variable, one can expect probability distributions of maximum
relative displacement as shown in Fig. 38. Curves 1, and 2 are based

on the maximum intensity of excitation having an Extreme Type II pro-
bability distribution while curves 3, and 4 are based on a similar dis-
tribution but with the tail of the distribution cut off to reflect a
finite upper bound to the maximum intensity. The probability distribu-
tion of maximum relative displacement for a fixed intensity of excitation
is assumed to be Extreme Type I with a coefficient of variation equal to
0.4 for curves 2 and 4 but is taken as a unit step function, with the
step occurring at the mean value of the Extreme Type I distribution,

for curves 1 and 3. The latter step function distribution corresponds

to a coefficient of variation equal to zero. Since for low risk struc-
tures, we are interested in that value of maximum response correspond-
ing to some prescribed value near one on the probability distribution
scale, a final distribution corresponding to curve 4 which recognizes
both intensity of excitation and maximum response as random variables
should be used. For a nonlinear system, a coefficient of variation equal
to 0.4 is easily possible as shown in Fig. 37; therefore,. the distribution
given by curve 4 is quite representative of what one could expect in a
qualitative sense. It has previously been stated in the literature that
only the mean value of maximum response for a fixed intensity need be con-
sidered since the intensity distribution has such a wide variation, i.e.,
the distribution corresponding to curve 3 can be used in predicting
maximum response(ZZ). Based on the above comments, it is apparent that
the present author disagrees with that particular point of view.

To conclude this discussion on predicting maximum response, a few
words should be stated regarding the behavior of multi-degree of freedom
systems. Previous studies show that variances of maximum response for fixed
mathematical models have magnitudes similar to those shown previously for
single degree of freedom systems. If variances in structural properties
are introduced into these models, one can expect the resulting variances
in maximum response to be even greater.

INTERPRETATION OF DYNAMIC ANALYSES IN TERMS OF
PROTOTYPE BEHAVIOR

Having established maximum levels of dynamic response for the mathe-
matical model in probabilistic form, the results must be interpreted in
terms of prototype performance and possible loss.,

As pointed out by Sawyer(23), failure of a structure under increas-
ing load generally occurs in successively more-severe stages under suc-
cessively less-probable levels of load. To illustrate this point, he
published the relationship given in Fig. 39 which shows failure-stage
vs. load (pseudo-static type increasing monotonically) for a typical
statically indeterminate reinforced concrete building and states, "The
first failure stage is that caused by minor tensile cracking which al-
most always occurs and which causes very small loss. With higher load
reinforcement yields at one, then more progressively longer regions,



1-12

leading to wide cracking, objectionable deflections, loss of user—con-:
fidence, and need for repairs. With further increases in load, spalling
and crushing occur, deflections become excessive, and the building is
soon evacuated. 'The final failure stages are the collapse of portions
of the frame, followed by the limit stage of collapse of the entire
frame."” While this relationship is highly variable and depends very
much on structural type and structural detailing, it does illustrate
very well the basic concept which should be used in assessing perform-
ance and possible losses to be expected during the life of a structure
Due to the variability of loss for a given load (or the variability of
load for a given loss), the relationship shown in Fig. 39 should be con-
sidered as representing mean values of the random variables involved.
The full distribution, as represented by VFig. 40, can in some cases in-
volve large variances.

(24)

For seismic excitation, loss relationships similar to those shown
in Figs. 39 and 40 can be estimated where the load and load probability
scales are changed to intensity of ground motion and intensity probability,
respectively, Such relationships should include possible losses to archi-
tectural components such as the interior finish, exterior facing and win-
dows and to mechanical equipment such as elevators. Since these losses
are directly associated with inter-story drifts, expected ylelding in the
main structural system should be limited appropriately.

REDESIGN OF STRUCTURAL SYSTEM

The preceding sections of this paper have traced the design pro-
cess through stages Nos. 1-5 in which the structure system has been de-
signed and its predicted future performance has been analyzed. Should
any deficiencies be apparent at this point, the preliminary design should
be corrected appropriately., If the design changes are significant, it
may be necessary to go through stages Nos. 3-5 a second time. Having
arrived at an acceptable design, one can proceed to stage No. 7 of the
design process. :

ASSESS SAFETY OF SYSTEM AS DESIGNED

To make a final realistic assessment of the safety of a structural
system as designed, one must recognize all of the uncontrollable vari-
abilities related to such factors as ground motion intensity, ground
motion characteristics, structural properties, and mathematical model-
ling. Since these variabilities are large, the only meaningful assess-
ment is one involving concepts of probability. Therefore, one should
attempt to establish the probability distribution function for maximum
damage level (or loss) during the expected life of the structure. If
the structure is designed to provide very low risk of damage or failure,
e.g. nuclear power plant Category I structure, it must be designed with
the intent of remaining elastic throughout its life span. The probabi-
lity distribution function for maximum damage level can then be expected
to be similar to that shown in Fig. 41, Type A structure. On the other
hand, if the acceptable risk level is considerably lowered so that appre-
ciable inelastic deformations are permitted under maximum credible earth-
quake conditions, the probability distribution function for the maximum



113

damage level might very well have the appearance of that shown in Fig.
42, Type B structure.

Tt is ilmportant to recognlze the large variance assoclated damage
level in the latter case, Fig. 42; particularly, when concerned with the
safety of a large number of buildings. The probability that one struc-
ture out of a population of N will experience a maximum damage level
equal to.or greater than D is [1 - P(D)N]. This indicates that the in-
dividual damages of buildings of similar design and construction located
equal distances from an earthquake epicenter can range from no damage to
heavy damage or collapse. Observations following damaging earthquakes
confirm the validity of this statement.

ASSESS SAFETY OF SYSTEM AS BUILT

The previous assessment of the safety of a structural system as de-
signed assumes that available knowledge has been applied effectively.
Unfortunately, too often this is not the case as evidenced by many
structural failures where the causes can be traced to errors in design
or construction or to a lack of quality control. Every effort should,
of course, be made to eliminate these causes.

CONCLUDING REMARKS

An attempt has been made in this paper to create a better awareness
of the uncertainties involved in the seismic design process of important
structures and to encourage the use of probabilistic methods in assess-
ing seismic risk. All probability distributions presented are intended
to reflect realistic statistical trends but should not be assumed accu-
rate in a quantitative sense. Hopefully, the general discussion pre-
sented will be helpful in bringing the many problems involved in seis-
mic design into better focus.
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Fig. 10 Public garage, Berkeley, California
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Fig. 25 Reinforced concrete element under flexure, shear,
and high axial load

Fig. 26 Damage pattern of reinforced concrete element under
flexure, shear, and high axial load



40

L]  § | T
. " AXIAL LDAD R
2o REMOVED, -
: i
o
m 4
a , ,
= I
¥ .
0 Ed
w
v
@
0 -
W :
-20 4
AXIAL LOAD = {80 KiP$§
- 4 4 LATER Al REINFT |
g SPAGING = 5.IN. -
. i Ll i L n T T
-20 48 w2 -8 -4 o 4 . - )2 1 2.0
DISPLACEMENT . IN. .
Fig. 27 Load-déflection hysteresis loops for reinforced

concrete element under flexure, shear, and high
axial load

Fig. 28 Spandrel beam-column element under
combined loading



1-30

Fig. 29 Failure pattern of spandrel beam-
column element - Standard ties

Fig. 30 Failure pattern of spandrel beam-
column element - Spiral ties
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